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Several code-conforming reinforced concrete buildings were severely damaged during the 2010 moment magnitude (Mw) 8.8 Chile earthquake, raising concerns about their real collapse margin. Although critical updates
were introduced into the Chilean design codes after 2010, guidelines for collapse risk assessment of Chilean
buildings remain insuﬃcient. This study evaluates the collapse potential of a typical dual system (shear walls
and moment frames) oﬃce building in Santiago. Collapse fragility functions were obtained through incremental
dynamic analyses using a state-of-the-art ﬁnite element model of the building. Site-speciﬁc seismic hazard curves
were developed, which explicitly incorporated epistemic uncertainty, and combined with the collapse fragility
functions to estimate the mean annual frequency of collapse (λc) values and probabilities of collapse in 50-years
(Pc(50)). Computed values of λc and Pc(50) were on the order of 10−5–10−4, and 0.1–0.7%, respectively,
consistent with similar studies developed for buildings in the US. The results also showed that the deaggregation
of λc was controlled by small to medium earthquake intensities and that diﬀerent models of the collapse fragility
functions and hazard curves had a non-negligible eﬀect on λc and Pc(50), and thus, propagation of uncertainty in
risk assessment problems must be adequately taken into account.

1. Introduction
Assessment and reduction of the collapse potential of building
structures are a critical concern in earthquake engineering. Collapse of
structures is the leading cause of injuries and casualties due to earthquakes [1] and also has a signiﬁcant impact on economic losses and
downtime [2,3]. In fact, with the introduction of the performance-based
earthquake engineering framework developed by the Paciﬁc Earthquake Engineering Research Center (PBEE-PEER framework) [4], collapse assessment is required to estimate the performance of an engineered facility using three decision variables: (i) injuries and
casualties; (ii) direct economic losses; and (iii) downtime. Even the
environmental impact of seismically-damaged facilities, recently incorporated into the PBEE-PEER framework, requires collapse assessment [5].
Although most building codes are mainly prescriptive and do not

include PBEE-PEER concepts to estimate the collapse risk explicitly,
they have provisions to avoid collapse during extreme ground motions
and, therefore, to protect human life. The collapse prevention objectives of current seismic codes were proved satisfactory in the recent
2010 and 2011 New Zealand earthquakes [6,7] and in the 2010, 2014
and 2015 Chile earthquakes [8–10], where the number of casualties
due to collapsed buildings was relatively low. Particularly in Chile, the
moment magnitude (Mw) 8.8 2010 earthquake aﬀected thousands of
tall Reinforced Concrete Buildings (RCBs) [8]. Even though only one
modern tall RCB collapsed during the 2010 Chile earthquake [11,12],
10 out of approximately 100 tall RCBs located in Concepción (approximately 100 km south of the epicenter) were severely damaged
[13].
Before 2010, Chilean RCBs were designed following the Chilean
code NCh 430 “Design of Reinforced Concrete Structures” [14] and the
Chilean code NCh 433 “Earthquake Resistant Design of Buildings” [15].
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authors’ knowledge, this is the ﬁrst study estimating values of λc and
Pc(50) of a Chilean building using the PBEE-PEER framework, which is
relevant since Chilean buildings are periodically subjected to earthquake loading.
The objectives of this study are: (i) to design a representative post2010-earthquake Chilean code-conforming oﬃce RCB; (ii) to characterize the site-speciﬁc seismic hazard at the building location; (iii) to
select a suite of strong Chilean subduction ground motions to conduct
incremental dynamic analyzes (IDAs); and (iv) to perform collapse assessment of the testbed building using state-of-the-art methods to estimate collapse fragility functions, values of λc (and their deaggregation)
and values of Pc(50).

The Chilean code NCh 430 is largely based on ACI 318-05 [16], but in
the Chilean code the requirements for conﬁnement of wall boundaries
were not mandatory. As a result, many buildings with poor conﬁnement
of the structural walls were damaged during the 2010 Chile earthquake
[13]. The NCh 433 code is strongly oriented to collapse prevention,
stating explicitly that “although presenting damage, buildings should
not collapse when subjected to exceptionally severe ground motions”.
However, the NCh 433 code does not deﬁne explicitly “exceptionally
severe ground motions” neither deﬁnes speciﬁc collapse performance
objectives such as the target of 1% probability of collapse in 50-years
(Pc(50)) for earthquake loading as suggested by ASCE 7-10 [17]. The
lack of mandatory requirements for conﬁnement of structural walls and
the absence of quantitative performance objectives presented by the
Chilean building codes raised concerns about the collapse potential of
pre-2010-earthquake Chilean code-conforming RCBs. To the authors’
best knowledge, collapse fragility functions and mean annual frequency
of collapse (λc) values for pre-2010-earthquake RCBs have not been
studied thoroughly, but recent empirical evidence [18] and numerical
studies about the collapse of Alto Río building [11,12,19] were key to
improve our understanding about their collapse potential.
After the widespread damage of RCBs observed during the 2010
earthquake, two regulatory documents, DS 60 [20] and DS 61 [21],
were introduced. The document DS 60 requires that the design and
construction of the RCBs in Chile must follow ACI 318S-08 [22]. The
document DS 61 changed the conﬁnement requirements of shear walls,
making them similar to the US standards; however, curvature ductility
requirements at critical sections are diﬀerent than those required in ACI
318S-08. The document DS 61 also introduced Vs30 as a soil classiﬁcation parameter and modiﬁed the quantiﬁcation of the earthquake
demands imposed over building structures. The real impact of these
modiﬁcations on the collapse margin of current post-2010-earthquake
RCBs in Chile has not been quantiﬁed yet.
This study is aimed at evaluating the collapse potential of a post2010-earthquake Chilean RCB, with building collapse deﬁned as
sidesway lateral instability when the strength of a story or group of
stories is exceeded by P-Δ eﬀects. More detailed information about the
collapse modeling used in this study is provided in Section 3.2. The
testbed building is a 16-story and 3 underground levels structure with a
dual wall-frame force-resisting system, assumed to be located in Las
Condes, a ﬁnancial district in Santiago (Chile’s capital). The structural
conﬁguration of the testbed building is typical of tall Chilean oﬃce
buildings that present wall densities (total walls cross-section area over
total ﬂoor area) of approximately 1.5–2.0%, whereas typical Chilean
residential buildings exhibit wall densities ranging from 2.5% to 3%
[23]. The particular structural dual wall-frame conﬁguration of Chilean
oﬃce buildings is intended to obtain more ﬂexible architectural layout
plans that can be modiﬁed with movable partitions and this particular
structural conﬁguration (wall-frame force-resisting system) exhibits a
diﬀerent seismic performance than residential buildings that are usually
structured based exclusively on shear walls in Chile. The software
ETABS [24] was used as analysis and design platform, and the seismic
performance was later assessed through full 3D nonlinear ﬁnite element
modeling using the software Perform 3D [25].
The novelty of this research resides in: (i) the implementation of
collapse risk assessment for a dual wall-frame RCB since most of the
existing collapse risk research focuses on frame buildings; (ii) the development of site-speciﬁc seismic hazard curves, which are not available in Chile; furthermore, there is still large discussion about the inclusion of crustal faults in Chilean hazard curves and this research
quantiﬁes the impact of crustal faults on the seismic hazard and collapse risk; (iii) the use of ground motions exclusively from Chilean
subduction earthquakes; and (iv) the development and comparison of
lognormal and Gamma probability functions to model collapse fragility
functions and the assessment of their impact on the calculation of λc
and Pc(50) since most of the studies have used only lognormal probability functions. Finally, it is worth mentioning that, to the best of the

2. Collapse risk assessment
This study implemented the method proposed by Ibarra and
Krawinkler [26] to estimate the collapse fragility curve of a structure
and, consequently, to perform collapse assessment. This method uses
IDAs to obtain the ground motion intensity level that initiates collapse
of the structure. The spectral pseudo acceleration at the fundamental
period of vibration of the structure, Sa(T1), was deﬁned as the relevant
ground motion intensity measure in this study. For each record, a group
of nonlinear time history (NLTH) analyses at increasing levels of Sa(T1),
were performed until collapse was reached.
2.1. Determination of Sa (T1) intensities that initiate collapse
Diﬀerent methods exist in the literature to identify collapse from
IDAs for a given ground motion intensity [27,28]. The current study
focused on sidesway collapse in the direction of minimal lateral stiﬀness of the testbed building. Herein, collapse was deﬁned as lateral
dynamic instability where the building’s lateral strength is overcome
due to P-Δ eﬀects [29]. This lateral dynamic instability was mainly
triggered by severe local damage in the core walls due to axial-bending
interaction at the critical story (i.e., where the plastic hinge was developed). The use of 2D shell elements for core walls modeling (more
details presented in Section 3.2) allowed to capture damage at the ﬁber
level (where nonlinear uniaxial constitutive laws were deﬁned for
concrete and steel ﬁbers) due to axial-bending interaction. Shear damage was also considered through a nonlinear constitutive law, but it
does not control the collapse mechanism of slender walls. In this research, collapse has been identiﬁed on a case-by-case basis based on
careful consideration of the time-history structural response in terms of
roof drift ratio (i.e., roof displacement divided by the building’s height).
This study identiﬁed the minimum value of Sa(T1) at which an unbounded increment of the roof drift ratio was observed from the corresponding NLTH analysis. As an example, Fig. 1(a) presents two NLTH
analyses for the testbed building, where a ground motion with a
duration of approximately 100 s was scaled to Sa(T1) values of 0.5 g and
0.6 g. For a Sa(T1) value of 0.5 g, the roof drift ratio was bounded by
1%, but when the Sa(T1) value was increased to 0.6 g the roof drift ratio
increased to values larger than 7% where the nonlinear algorithm no
longer converged, the analysis stopped and collapse was reached.
Fig. 1(b) presents the result of a pushover, applied up to a roof drift of
2.19%, showing the element usage ratios of the testbed building to
exempliﬁed the failure mode that triggered the building collapse also in
NLTH analyses, which was concrete crushing in core walls boundaries
at the critical story. An unexpected result obtained from this analysis
was that the critical story was located at the third story (as shown by
the usage ratios equal to one in this story), where the detailing of
conﬁnement steel changed from special boundary element to ordinary
boundary element. Therefore, the usual assumption adopted in design,
which is that the plastic hinge is located at the ﬁrst story base where the
maximum ﬂexural demand is located, is not always accurate and should
be reconsidered in cases where boundary elements conﬁnement
changes over the wall height. This study used ground motions scaled to
771
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(a)

(b)

Fig. 1. (a) NLTH of roof drift ratio for record # 11 conditioned on Sa(T1) values of 0.5 g and 0.6 g, and (b) deﬂected shape showing element usage ratios (pushover
with reference drift of 2.19%).

2.3. Mean annual frequency of collapse and probability of collapse in t
years

increasing values of Sa(T1), using steps of 0.1 g, until collapse was
triggered. Then, the bisection method was used to ﬁnd the collapse
intensity with a tolerance of 0.01 g, and each Sa(T1) collapse intensity
was used to develop a collapse fragility curve. Detailed analyses were
performed considering a few, randomly selected ground motions and
intensity increments smaller than 0.1 g, and no structural resurrection
was found in any case (i.e., once lateral instability occurred at a given
intensity the response was not observed to become stable again at
greater intensities). Structural resurrection was then deemed highly
unlikely for the collapse limit state of the structure considered in this
paper, and the bisection method was deemed a good balance between
accuracy and computational eﬀort.

The mean annual frequency of collapse, λc, represents the average
number of collapses per year of a structure. It combines the collapse
fragility curve of the structure and the seismic hazard curve for Sa(T1)
as in Eq. (2).
∞

λC =

0

Collapse fragility curves provide the probabilities of collapse of a
structure conditioned on a speciﬁc value of ground motion intensity.
The collapse simulations obtained from the IDAs were used in conjunction with assumed lognormal and Gamma cumulative distribution
functions (CDFs) to compute collapse fragility curves. While the lognormal distribution is the most common distribution for describing
damage [26,29,30], this study also used the Gamma distribution as an
alternative representation of the collapse fragility function for RCBs.
To limit the amount of bias in the plotting position of numerical
CDFs, this study used the Hazen formula [31], presented in Eq. (1),
where i is the rank of the ascending sorted data of Sa(T1) collapse intensity simulations, and n is the number of ground motions used to
perform IDAs.

i − 0.5
n

dλ Sa
·dSa
dSa

(2)

where P (C|Sa) is the probability of collapse of the structure conditioned
on the ground motion intensity Sa(T1), and dλ Sa / dSa is the derivative of
the seismic hazard curve. Assuming a Poisson process for the earthquake distribution in time, the probability of one collapse in t years,
Pc (t ) , can be computed from Eq. (3).

2.2. Collapse fragility curves

pi =

∫ P (C|Sa)·

Pc (t ) = 1 − e−λc t

(3)

This study uses the probability of collapse in 50 years, Pc(50), as a
measure of the collapse potential of the testbed building.

2.4. Deaggregation of mean annual frequency of collapse
The deaggregation of λc provides the meaningful information about
the contribution of the Sa(T1) values to the total value of λc. While it
may sound counter-intuitive, the largest contributions to λc often comes
from small to medium Sa(T1) intensity values. This is because even
though they are associated to a small probability of collapse in the
collapse fragility curve, low Sa(T1) values have large rates of exceedance. The deaggregation of λc as a function of Sa(T1) can be obtained from Eq. (4), where all the terms have been deﬁned previously.

(1)

The two parameters that deﬁne the lognormal and Gamma CDFs
were obtained using the maximum likelihood method [32]. Finally, the
Kolmogorov-Smirnov test [32] at 5% conﬁdence level was used to assess the goodness-of-ﬁt of each distribution.

Deaggregation λ c (Sa) = P (C|Sa)·
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dλ Sa
·dSa
dSa

(4)
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force-resisting system comprises two core C-shaped walls for gravity
and lateral loading, and moment frames located at the building perimeter for gravity loading. Fig. 4 presents the plan view of the typical
and the underground levels, where key dimensions (in cm) are indicated.
The design of the building was carried out following the same
procedures commonly adopted in professional practice. The commercial software ETABS [34] was used for designing the building. Superimposed dead load of 2 kPa and live loads of 3 kPa (underground levels), 5 kPa (typical story) or 2 kPa (roof), were considered according to
Chilean standard NCh 1537 [35]. Determination of seismic loads and
analysis followed the Chilean standard NCh 433 [36] and DS 61 [21].
Parameters for seismic analysis were obtained for seismic zone 2 (effective acceleration 0.3 g) and soil type B (fractured rock, dense soil
Vs30 ≥500 m/s), both corresponding to Las Condes district. The
building was classiﬁed into category II (importance factor I = 1). The
nominal material properties speciﬁed by design were concrete H40
according to the Chilean standard NCh 430 [14] (nominal compressive
strength in cylindrical specimen f́c = 35 MPa), and reinforcing steel
A630-420H (nominal tensile strength fu = 630 MPa and yield strength
fy = 420 MPa). The nominal strain at the nominal tensile strength of the
reinforcing steel (A630-420H) is calculated as S = 7000/ fu − K ≥ 8,
where S is the nominal strain of the rebar (in %), and K is a coeﬃcient
that depends on the nominal diameter of the bar, as stated in NCh 204
[37]. For the vertical reinforcing bars of 22 mm and 16 mm in diameter,
K values become 0 and 1, respectively, and the corresponding S values
are 10% and 11%.
Reinforced concrete design followed the ACI 318-08 [38] building
code and Chilean standard DS 60 [20]. In continuous wall-frame
buildings, where walls resist more than 75% of the base shear, DS 60
allows to design the frame as an ACI 318-08 intermediate moment
frame. This building met this requirement and, therefore, details corresponding to intermediate moment frames were provided.
The analyses showed that walls require special boundary element
conﬁnement in two stories above and below the grade level, with detail
as shown in Fig. 5. Ordinary boundary element conﬁnement was provided in other stories. The fundamental period of vibration (T1) in the
short direction of the building is 2.02 s, and a summary of the main
dynamic analysis results is presented in Table 1. Fig. 6(a) shows the
reduced design elastic spectrum, in both direction of analysis, scaled to
minimum base shear according to NCh433 [36] and DS 61 [21].
The required IDAs to perform collapse assessment, on the other
hand, were carried out using PERFORM 3D [39]. Although also a
commercial software, it oﬀers advanced capabilities for nonlinear
modeling (the ones relevant in this study are described in the next
paragraph) and is widely used to evaluate the inelastic seismic response
of reinforced concrete shear wall buildings. Fig. 6(b) presents the
PERFORM 3D model of the testbed building.
For wall modeling, PERFORM 3D uses the General Wall Element or
the Shear Wall Element. The ﬁrst element is intended for the analysis of
complex reinforced concrete walls with irregular openings, which is not
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Fig. 2. Histogram of oﬃce RCBs constructed between 2002 and 2015 in the
metropolitan area of Santiago, Chile.
Source: [33]

3. Methodology for development of code-conforming testbed
building
3.1. Statistical studies
The main characteristics of the testbed building were intended to be
representative of typical Chilean oﬃce buildings, and were deﬁned as
follows. Firstly, a statistical analysis of Santiago’s RCBs constructed
between 2002 and 2015 was conducted, and the resulting histogram of
the number of RCBs located in diﬀerent districts of Santiago is presented in Fig. 2. This analysis (which, to the best of the authors’
knowledge, is not available elsewhere) showed that low-rise buildings
(ﬁve stories or fewer) are infrequent and geographically scattered.
Consequently, they were discarded in this study. Likewise, the analysis
showed that RCBs are located mainly in just ﬁve districts of the metropolitan area of Santiago, with median heights of 6 to 18 stories and
median ﬂoor area between 700 and 1600 m2, as shown in Fig. 3. It was
decided to assume that the testbed building was located in Las Condes
because such district exhibits one of the largest densities of oﬃce
buildings and the greatest median number of stories. The number of
stories was set equal to 16 (Las Condes median value).
The structural system (described in detail in the next section) ﬁnally
adopted was a slight simpliﬁcation of the structural system of an actual
building located in Las Condes (the ﬂoor area is also roughly the same).
Such structural system was found very similar to that of many oﬃce
buildings located in Las Condes as well as in other districts in Santiago.
The number of underground levels (3) was also set equal to that of the
actual building in Las Condes.
3.2. Structural design and modeling
Following the typical design of oﬃce buildings in Chile, post-tensioned slabs (20 cm typical thickness, 22 cm in underground levels)
were considered to obtain larger spans without interior beams. The

Districts
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(a)
Fig. 3. Oﬃce buildings distribution, per district, by: (a) number of stories, and (b) ﬂoor area.
Source: [33]
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Fig. 4. Plan view (dimensions in cm) of: (a) typical level, and (b) underground level.

Element. The horizontal cross section was discretized into concrete and
reinforcing steel ﬁbers, each one with a uniaxial constitutive relation
that follows a single YURLX backbone curve. The slabs were not directly modeled in PERFORM 3D, instead rigid diaphragms were considered in each level. Gravity loads were distributed by tributary areas
in vertical elements, and for seismic loading translational and rotational
masses were assigned at each level at the corresponding center of mass,
linked to all other nodes at that level by rigid diaphragm constraints.
Beams and columns were divided into three segments for modeling
purposes. The segments at the ends correspond to the expected plastic
hinge region, and they were modeled using nonlinear ﬁber sections. Eq.
(5), obtained from Paulay and Priestley [40], was used to calculate the
plastic hinge length, Lp.

Lp = 0.08L + 0.022db f y

(5)

Fig. 5. (a) Special boundary element, and (b) ordinary boundary element.

where L is the distance to the inﬂection point in a beam or column, db is
the diameter of the longitudinal bar, both in mm, and fy is the yielding
strength of longitudinal bars, in MPa. The middle segment was considered linear elastic.
For steel, expected (which are more realistic than the nominal)
material properties (fu = 800 MPa and fy = 480 MPa) were considered
for the YURLX backbone curve, which is an inelastic steel model
without buckling and considering low-cycle fatigue as recommended by
Lowes et al. [41]. Inelastic in-plane shear behavior was modeled with
an elastic-perfectly plastic stress-strain curve [42]. For concrete, the
stress-strain relation proposed by Saatcioglu and Razvi [43] was used.
Conﬁned concrete properties were considered only in ﬁbers located
within the special boundary elements, located at the wall system at the
ﬁrst and second levels, above and below the grade. Other concrete ﬁbers were modeled as unconﬁned. Reinforced concrete structures may
experience strain localization caused by strain softening behavior
[44,45]. This makes the structural response dependent on the model

Table 1
Dynamic analysis results obtained from PERFORM 3D [39].
Mode

T [s]

Mnx [%]

Mny [%]

1
2
3

2.020
1.569
0.825

44.00
0.00
0.00

0.00
2.74a
45.37

a
PERFORM 3D does not provide eﬀective mass participation for rotational
modes.

the case of this building, where both core walls are continuous over the
building height without openings. The second model is preferred for
slender walls without openings where the important actions are shear
force and axial-bending action in the horizontal cross section. Because
of the regularity of the testbed building, this study used the Shear Wall

(a)

(b)

Fig. 6. (a) Reduced design elastic spectrum scaled to minimum base shear in both directions, and (b) PERFORM 3D model for the testbed oﬃce building.
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(a)

(b)

Fig. 7. YURLX envelopes for regularized concrete material in compression for use in PERFORM 3D for: (a) shear walls, and (b) frame elements.

4. Site, seismic hazard analysis and ground motion selection

discretization. Regularization of concrete materials (conﬁned and unconﬁned) was needed to obtain an objective structural response. In
walls, the regularization approach introduced by Lowes et al. [41] was
used. This is a constant compressive fracture energy approach applied
to walls modeled with “Shear Wall Elements” in PERFORM 3D. According to this approach, since there is no localization of damage prior
to achieving maximum strength, standard models may be employed to
deﬁne the pre-peak portion of the concrete constitutive relation. To
deﬁne the post-peak response, unconﬁned concrete was assumed to
have no residual strength and conﬁned concrete was assumed to have
residual strength equal to 20% of the conﬁned compressive strength at a
speciﬁed residual strain. Fig. 7(a) presents the regularized YURLX envelope used for conﬁned and unconﬁned concrete in structural walls.
The concrete material in frame elements was also regularized following recommendations given by Coleman and Spacone [44]. In frame
elements, PERFORM 3D considers only one integration point per element segment. Therefore, the length value used to regularize this
concrete material corresponds to the length of the segment where the
plastic hinge is expected to form. Fig. 7(b) presents the regularized
YURLX envelopes used for unconﬁned concrete in beams and columns.
The ﬁnite element model considered cyclic degradation in concrete
and steel uniaxial materials. For concrete under cyclic loading,
PERFORM 3D provides a mechanism for reducing the reloading stiﬀness but not the unloading stiﬀness. The reduction in reloading stiﬀness
was deﬁned by a user-speciﬁed relationship between energy dissipation
and compressive strain. Concrete cyclic energy dissipation factors, as
proposed by Lowes et al. [41], were considered in this study. Factors
are presented in Table 2.
For reinforcing steel, unloading and reloading values of stiﬀness
were deﬁned by the energy dissipation factor and the stiﬀness factor.
The energy dissipation factor deﬁnes the extent to which stiﬀness loss
reduces energy dissipation, it equals the ratio of the energy dissipated
during a stress-strain cycle for the material with stiﬀness loss to the
energy dissipated without stiﬀness loss. The stiﬀness factor varies from
negative to positive and determines whether the unloading stiﬀness or
reloading stiﬀness (or both) are reduced. For this study, an energy
dissipation factor of 0.75 and a stiﬀness factor of 0.5 were considered,
as recommended by Lowes et al. [41].

4.1. Site characterization
The soil conditions in Santiago consist primarily of stiﬀ gravels and
alluvial deposits from the Maipo and Mapocho rivers. Outcropping
rocks are common within the basin (i.e., San Cristobal Hill, Renca Hill),
and at the selected districts the depth to bedrock varies between 200
and 500 m. In this area, the shear wave velocity derived from ambient
noise and seismic refraction are approximately 420–720 m/s in the top
20 m, 1200–1500 m/s at depths up to 200 m, and 2000 m/s up to
bedrock [46–48]. The testbed building is located in the business district
Las Condes (33.4124°S; 70.5635°W) on a soil class B (very dense or stiﬀ
soil) according to the current seismic design provisions in Chile.

4.2. Seismic hazard
The rate of exceedance of Sa(T1) values was estimated through a
standard Probabilistic Seismic Hazard Analysis (PSHA) implemented in
the code SeismicHazard [49]. In Central Chile the seismicity is largely
controlled by megathrust earthquakes at the boundary between the
subducting Nazca plate and South American plate, with Mw values
between 8.0 and 8.5, convergence rates of 68–80 mm/year, and average
recurrence of 80 years [50]. In contrast, crustal faults in Central Chile
are much less frequent, but they also have the potential to generate
destructive earthquakes. For instance, the San Ramón Fault (SRF) in
Santiago’s foothills has estimated slip rates of 0.1–0.5 mm/year and
recurrence of 1000–10000 years or higher [51], and a Mw 7 event in
SRF could be catastrophic, severely damaging lifelines and possibly
leading to building collapses. Yet, historic and instrumental records of
SRF events are very scarce, and high uncertainties persist regarding the
fault’s activity rate and maximum earthquake magnitudes.
In this study, the geometry and magnitude recurrence models for
interface/inslab sources were obtained from Martin [52], whereas a
simpliﬁed model for SRF was adopted based on the study by Estay et al.
[51]. The ground motion intensity for subduction earthquakes was
determined using the ground motion prediction equations (GMPE)
proposed by Youngs et al. [53]; Atkinson and Boore [54]; Zhao et al.
[55]; Idini et al. [56]; Abrahamson et al. [57]; and Montalva et al. [58].
Likewise, the Sadigh et al. [59] model was adopted for the SRF system.
Epistemic uncertainty for subduction GMPEs was included in a logic
three by assigning weights of 0.10, 0.12, 0.14, 0.14, 0.25, and 0.25,
respectively. Values of the mean annual frequency of exceedance of
Sa(T1), λ(Sa(T1)), are presented in Fig. 8(a) for two alternative hazard
models developed by this study: the ﬁrst one accounted for interface/
inslab sources only, and the second one combined the interface/inslab
sources and the simpliﬁed SRF model. The diﬀerence between the

Table 2
Concrete cyclic energy dissipation factors, after Lowes et al. [41].
Material state

Y
(yield)

U
(ultimate)

L
(loss)

R
(residual)

X
(rupture)

Energy factor

1.0

0.4

0.4

0.1

0.1
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(a)

(b)

Fig. 8. (a) Seismic hazard curves for Sa(T1 = 2.02 s), and (b) 5% damping response spectra of selected ground motions and its geometric mean.

hazard curves is more signiﬁcant at small values of λ(Sa(T1)) because a
characteristic earthquake model was used for the SRF. From Fig. 8(a) it
is apparent that for λ(Sa(T1)) = 0.0021 (475 years return period),
Sa(T1) values increase from 0.13 g to 0.18 g, and for λ(Sa(T1))
=4.04 × 10−4 (2475 years return period), Sa(T1) values increase from
0.24 g to 0.35 g.

of this study, that presents a more complicated nonlinear performance
(with more signiﬁcant contribution from higher modes) than moment
frame structures.
Fig. 9(b) shows the Sa(T1) collapse intensity simulations obtained
from the IDAs (see Fig. 9(a)) performed over 45 Chilean ground motions along with the proposed lognormal and Gamma collapse fragility
functions. The lognormal and Gamma collapse fragility functions
passed the Kolmogorov-Smirnov goodness-of-ﬁt test [32] at 5% conﬁdence level, and the calculated P-values were 0.85 and 0.65 for the
proposed lognormal and Gamma collapse fragility functions, respectively. As represented by the large P-values obtained, both probability
functions ﬁtted properly the Sa(T1) collapse intensities. In particular,
the signiﬁcance level of the Kolmogorov-Smirnov goodness-of-ﬁt test
can be as large as 85% and 65% for the proposed lognormal and
Gamma fragility functions, respectively. As the signiﬁcance levels
rarely go over 10% [60], the large P-values obtained strongly suggest
that the Gamma collapse fragility function, and even more the lognormal collapse fragility function are good representations of the data
obtained from the IDAs.
Regarding the estimated parameters for each collapse fragility
function, these are also shown in Fig. 9(b). In particular for the lognormal representation, the median collapse intensity (χSa) was 0.64 g,
which seems appropriate for a code-conforming tall building design,
and the logarithmic standard deviation (σlnSa) was 0.38, dispersion
value that only accounted for record-to-record variability and this value
is within the range 0.35–0.45 obtained by previous studies [29,60,61].
Although very similar to the lognormal fragility curve, the Gamma
fragility curve estimated larger probabilities of collapse than the lognormal representation for Sa(T1) intensities up to 0.45 g, with a direct
impact on the computed λc values as shown in the next section of this

4.3. Ground motion selection
The set of ground motions used to perform the NLTH analyses
consists of 45 records from eight interface subduction earthquakes that
occurred along the boundary between the Nazca and South American
plates. The selected records correspond to earthquakes with values of
Mw between 6.3 and 8.8, recorded at rupture distances up to 500 km, on
outcropping rock or ﬁrm soil sites with Vs30 > 300 m/s, and with PGA
greater than 0.15 g. Frequencies outside the range 0.1–25 Hz were ﬁltered out from the records, and for each hazard level, the records were
scaled to match the target spectral pseudo acceleration. Fig. 8(b) shows
the 5% damped response spectra of the records scaled to 0.1 g at
T1 = 2.02 s and its geometric mean.
5. Collapse risk assessment results
5.1. Collapse fragility curves
Fig. 9(a) shows the results of the IDAs obtained over the set of 45
ground motions and it can be observed that there was signiﬁcant
variability among the roof drift ratios obtained between records even at
small values of Sa(T1). A large variability is expected for a reinforced
concrete dual wall-frame system structures, such as the testbed building

(a)

(b)

Fig. 9. (a) Incremental dynamic analysis results, and (b) collapse simulation results and proposed collapse fragility curves including estimated parameters.
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lognormal collapse fragility curve. When the interface/inslab + SRF
hazard model was considered, the resulting values of λc and Pc(50)
obtained with the Gamma collapse fragility curve are both 113% of the
corresponding values obtained using the lognormal collapse fragility
curve. As mentioned previously, the Gamma collapse fragility curve
provided larger probabilities of collapse than the lognormal representation for Sa(T1) intensities up to 0.45 g and these larger values of
collapse generated values of λc and Pc(50) larger than the corresponding values obtained with the lognormal collapse curve.
In terms of the impact of the two diﬀerent seismic hazard models,
the resulting values of λc and Pc(50) obtained with the interface/
inslab + SRF hazard model (combined with the lognormal collapse
fragility) were on average 4.3 times the corresponding values obtained
with the interface/inslab hazard model. The latter result is noteworthy:
because of the limited knowledge about faults in central Chile, the
engineering practice typically ignores the hazard from crustal earthquakes, and consequently, risk analyzes based solely on interface/inslab
hazard models may underestimate the risk decision variables. Similar
diﬀerences were obtained when the Gamma collapse fragility was
considered as seen in Table 3.
Based on these results, it is clear that the eﬀect of the seismic hazard
model was much more signiﬁcant than the eﬀect of the fragility model,
which demonstrates the relevance of the accurate characterization of
seismic sources. In the particular case of central Chile, further research
is needed to constrain the uncertainties associated with shallow crustal
faulting.

Table 3
Collapse assessment summary of λc and Pc(50) results.
Collapse fragility curve

Seismic Hazard model
Interface/Inslab

Lognormal
Gamma

Interface/Inslab + SRF

λc [1/year]

Pc(50) [%]

λc [1/year]

Pc(50) [%]

2.61 × 10−5
3.49 × 10−5

0.13
0.17

1.20 × 10−4
1.36 × 10−4

0.60
0.68

study.
It is worth mentioning that this study only included record-to-record
variability over a set of 45 ground motions to develop the collapse
fragility functions. However, modeling uncertainties, such as materials’
mechanical properties, were not included since this inclusion would
have required to perform a signiﬁcant number of additional NLTH
analyses increasing greatly the already expensive computing time of a
full 3D nonlinear model. There are studies addressing in detail the incorporation and the impact of modeling uncertainties in collapse risk
[1,26,61,62].
5.2. Mean annual frequency of collapse and probability of collapse in
50 years
Table 3 provides the summary of the estimated values of λc and
Pc(50) for the testbed building using the lognormal and Gamma CDFs to
model the collapse fragility curve. This analysis was conducted for the
two seismic hazard models mentioned before: one that accounted only
for interface/inslab events and other that combined the hazard from
interface/inslab sources and the SRF, a potentially damaging fault in
Santiago’s foothills.
Overall, the values of λc and Pc(50) ranged from 2.61 × 10−5 to
1.36 × 10−4 and from 0.13% to 0.68%, respectively. These values are
small and consistent with previous estimations developed for modern
reinforced concrete moment frame buildings located in seismic areas in
the US [61], and particularly, the estimated values of Pc(50) are below
the target of 1% probability of collapse in 50 years proposed by ASCE710 [17]. Both estimated values, λc and Pc(50), indicate that post-2010earthquake Chilean code-conforming oﬃce RCBs can be expected to
perform well in terms of collapse prevention.
Although the resulting λc and Pc(50) values were small, there was a
non-negligible eﬀect of both (i) the assumed probability distribution
function for the collapse fragility curve, and (ii) the seismic hazard
model used. The assumed Gamma fragility curve yielded higher λc and
Pc(50) values than the lognormal representation. When the interface/
inslab hazard model was considered, the resulting values of λc and
Pc(50) obtained with the Gamma collapse fragility curve were 134%
and 131%, respectively, of the corresponding values obtained using the

5.3. Deaggregation of mean annual frequency of collapse
Fig. 10 presents the deaggregation of λc for both fragility models
(lognormal and Gamma) as well as for both hazard models (interface/
inslab and interface/inslab + SRF). Speciﬁcally, Fig. 10(a) presents the
deaggregation obtained by combining both fragility models with the
interface/inslab hazard model, whereas Fig. 10(b) shows the deaggregation obtained by combining both fragility models with the interface/inslab + SRF hazard model. The area under each curve gives the
numerical values of λc reported in Table 3. Fig. 10(a) and (b) also show
groups of three vertical lines, one group for each deaggregation. The
ﬁrst two vertical lines of each group show the Sa(T1) intensities where
50% and 70% of the corresponding values of λc were reached. The third
vertical line of each group shows the Sa(T1) intensity where the median
collapse capacity of each collapse fragility function was reached (e.g.,
the median collapse capacity of the lognomal and Gamma fragility
functions is 0.64 g as stated in Fig. 9). It can be observed that at each
deaggregation curve in Fig. 10 the Sa(T1) intensity at the 50% of λc was
always smaller than the median collapse fragility value. For instance,
considering the interface/inslab hazard model (Fig. 10(a)), 50% of λc
was reached at Sa(T1) = 0.43 g and 0.37 g for lognormal and Gamma

(a)

(b)

Fig. 10. Deaggregation of λc obtained using lognormal and Gamma collapse fragility curves integrated with probabilistic seismic hazard curves, including: (a)
interface/inslab hazard model, and (b) interface/inslab + SRF hazard model.
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functions, respectively, whereas the median collapse fragility values
were 0.64 g (for both lognormal and Gamma functions). When the interface/inslab + SRF hazard model was considered (Fig. 10(b)), 50% of
λc was reached at Sa(T1) = 0.52 g and 0.47 g for lognormal and Gamma
functions, respectively, whereas the median collapse fragility values
were 0.64 g (for both lognormal and Gamma functions). The arbitrary
threshold equal to 70% of λc (i.e., larger than 50% of λc) was reached at
Sa(T1) values that ranged from 0.47 g (Gamma collapse fragility function and interface/inslab hazard model) to 0.63 g (lognormal fragility
function and interface/inslab + SRF hazard model). The Sa(T1) values
at 70% of λc were also smaller than the corresponding median collapse
fragility values. All these observations clearly indicate that an accurate
representation of the fragility curve at Sa(T1) intensities smaller than
the median collapse capacity is key since, as also found in other studies
(e.g., [29]), deaggregation analyses show that λc values are dominated
by small to medium Sa(T1) intensities.

collapse risk assessments and further research is needed to accurately
quantify the eﬀects of these sources on seismic hazard analyses in Chile.

6. Conclusion and closing remarks
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