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Abstract
Two existing RC shear wall buildings of 17 and 26 stories were analyzed using fully non-
linear finite element models, i.e., models that include nonlinear material behavior and geo-
metric nonlinearities. The buildings are located in Santiago, Chile and are representative of 
Chilean residential buildings in the sense that they have a large number of shear walls. The 
buildings withstood undamaged the 2010 Chile earthquake even though they were sub-
jected to demands much larger than the code-specified demand. The approach to model the 
RC shear walls was validated through comparisons with results experimentally obtained 
from cyclic static tests conducted on isolated wall specimens. Several pushover analyses 
were performed to assess the global response of the buildings under seismic actions and 
to evaluate the influence of several modeling issues. Response history analyses were per-
formed considering a ground motion recorded in Santiago during the 2010 Chile earth-
quake. In general, results (in terms of both global and local response quantities) are con-
sistent with results given by pushover analysis and with the empirically observed lack of 
damage, a consistency that was not found in a previous study that considered linearly elas-
tic models. The tangential inter-story drift deformation was found to correlate much better 
with the lack of observable damage than the total inter-story drift deformation typically 
considered in practice. The analysis also revealed that foundation uplift is possible but does 
not seem to significantly influence the response. Other modeling issues that were found to 
deserve further research are the shear stiffness of the walls and the influence of the slabs.
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1 Introduction

The  Mw 8.8 2010 Chile earthquake (one of the strongest ever recorded) caused significant 
damage to only 2% of the affected inventory of buildings having 9 or more stories (Mas-
sone et  al. 2012). This observation is somewhat surprising because, as it will be shown 
later, spectral ordinates of several recorded ground motions are in many cases (Naeim et al. 
2011) much larger than the design spectrum specified in the Chilean seismic design code 
NCh433 (INN 1996), which is the code the great majority of the building inventory in 
2010 was designed for. Hence, the 2010 Chile earthquake should have caused damage to 
a significant amount of multistory buildings, but such scenario did not occur (Naeim et al. 
2011).

It is clear then that the actual seismic capacity of typical Chilean RC shear wall build-
ings is (much) larger than the strength required by the seismic design code, but the reasons 
for such larger-than-expected capacity have not been thoroughly evaluated. While several 
studies analyzed the response of multistory buildings damaged by the 2010 Chile earth-
quake (Carpenter et al. 2011; Rojas et al. 2011; Wallace 2011; Bonelli et al. 2012; Hube 
et  al. 2012; Telleen et  al. 2012; Wallace et  al. 2012; Song et  al. 2012; Westenenk et  al. 
2013; Parra and Moehle 2014; Alarcon et al. 2015; Junemann et al. 2016), apparently only 
one study analyzed undamaged buildings (Junemann et al. 2015) and its sole finding is that 
the characteristics of damaged buildings are essentially not different from those of undam-
aged buildings. A research program was then initiated by the authors of this paper to obtain 
more insight into why undamaged buildings were indeed not damaged even though they 
were supposed to. It is emphasized that the objective of this research program is different 
from the objective of almost all post-earthquake studies, which focus on damaged build-
ings rather than on undamaged structures. In a strict sense the latter should be referred to 
as “buildings in which no damage was observed”, but the expression “undamaged build-
ings” is nevertheless used just for the sake of brevity.

In the case of RC structures an important question related to the analysis of undamaged 
buildings is whether a linearly elastic model is appropriate. On the one hand, it can be 
argued that the amount of inelastic deformations must be very low (if any at all) in undam-
aged structures, and linearly elastic models are also attractive because they do not require 
neither sophisticated modeling techniques nor large computational efforts. On the other 
hand, however, it can be argued that the stress–strain relationship of concrete is intrinsi-
cally nonlinear both in tension (i.e., cracking) and in compression (i.e., nonlinear behavior 
even at low deformation levels), and such nonlinearity might significantly affect the overall 
structural response even in the absence of observable damage. Since no information was 
found in the literature on this issue (as mentioned before the literature focuses on damaged 
buildings rather than on undamaged structures) it was decided to consider both types of 
models (i.e., linear and nonlinear).

In former studies (Ugalde and Lopez-Garcia 2017a, b), three actual and representa-
tive residential RC shear wall buildings of 5, 17 and 26 stories that withstood undamaged 
the 2010 Chile earthquake were analyzed using linearly elastic models. In a first series of 
analyses it was found that the elastic capacity/demand ratio (denoted elastic overstrength 
in Ugalde and Lopez-Garcia (2017a)) is large enough to explain the lack of damage in 
the 5-story building but not in the other two buildings. These findings were ratified by 
results obtained in a second series of analysis (response history analyses, Ugalde and 
Lopez-Garcia 2017b), which also revealed that foundation uplift might be the reason for 
the lack of damage in the 17- and 26-story buildings. However, since very little evidence 

Author's personal copy



Bulletin of Earthquake Engineering 

1 3

of foundation uplift was observed after the 2010 Chile earthquake, the results reported in 
Ugalde and Lopez-Garcia (2017b), i.e., obtained considering linearly elastic models, were 
deemed somewhat inconclusive.

In this paper the seismic response of the same 17- and 26-story buildings analyzed in 
Ugalde and Lopez-Garcia (2017a, b) is re-evaluated considering a fully nonlinear finite 
element model, i.e., a model in which a nonlinear concrete material model is adopted and 
other nonlinear features (such as the nonlinear behavior of reinforcement bars and PΔ 
effects) are also accounted for. In doing so the specific objectives of this study are: (1) to 
realistically evaluate the strength of typical Chilean residential RC shear wall buildings; (2) 
to identify the most relevant modeling issues for the analysis of RC shear wall buildings 
that did not suffer observable damage; and (3) to provide insight into why most Chilean 
residential RC shear wall buildings did not suffer observable damage during the severe 
2010 Chile earthquake. Full 3D finite element models of the buildings were developed in 
PERFORM-3D (CSI 2016a), a commercial computer program that was deemed to provide 
an adequate balance between modeling capabilities and computational cost. The approach 
to model RC shear walls is presented and validated through comparisons with experimen-
tal results. The building structures are described in detail. The structural models are sub-
jected to a series of pushover analysis to evaluate the impact of several nonlinear modeling 
considerations and to assess the seismic capacity of the structures. Finally, response history 
analyses were performed considering a ground motion recorded close to the location of the 
buildings. Particular attention is paid to examination of foundation uplift.

2  Description of the building structures

The buildings analyzed in this paper have 17 and 26 stories, respectively. They are actual, 
existing structures representative of medium- and high-rise Chilean shear wall buildings. 
The 17-story building (Fig. 1a) has two underground levels whereas the 26-story building 
(Fig. 1b) has four. Both buildings are apartment complex located in Santiago city and were 
built before the 2010 Chile earthquake, after which no damage was reported.
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Fig. 1  a Picture and plan view of 17-story building; b Picture and plan view of the 26-story building; c 
Typical detailing at boundaries of RC shear walls
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Although there are a few columns at the bottom-most levels and beams at lintels and 
balconies, gravity and lateral forces are carried mainly by RC cantilever walls alone, i.e., 
without braces, coupling beams or moment frames. The typical floor plans of the build-
ings (Fig.  1) clearly show the significant number of walls, many of them with intricate 
cross sections. This structural configuration based on walls is typical of Chilean residential 
buildings and provides a large lateral stiffness (Lagos et al. 2012), which was deemed as 
the main reason for the little damage caused by past earthquakes (Wood 1991). The wall 
density of Chilean buildings, usually reported as the walls cross-section area over floor 
area on each story and along each principal direction, has a mean value of 2.85% (June-
mann et al. 2015). This value is similar to the values of wall density of the buildings con-
sidered in this study (Table 1).

Wall thickness varies from 150 to 170 mm in the superstructure, while thicker walls (up 
to 250 mm) are found at the basement levels, either for shear or for soil retention. Typical 
of Chilean RC wall buildings, all nonstructural partitions are light partitions of negligi-
ble stiffness. The buildings were designed in accordance with the Chilean code NCh433, 
which refers to ACI 318 provisions for concrete design. However, motivated by the good 
performance of buildings without confined boundary elements in past earthquakes, the 
special boundary requirements were explicitly excluded when Chile formally adopted the 
ACI-318 in 1993. Consequently, none of the RC walls in any of the selected buildings has 
confinement detailing. Typical detailing at wall boundaries is shown in Fig. 1c. It is impor-
tant to mention that both buildings satisfy by a wide margin the inter-story drift require-
ment indicated in NCh433 (Ugalde and Lopez-Garcia 2017a).

Design forces for the buildings were obtained from NCh433, a code that, like many 
other seismic design codes worldwide, indicates that design forces are given by an elas-
tic pseudo-acceleration spectrum reduced by a response modification factor R*. The base 
shear corresponding to this reduced spectrum (computed by Response Spectrum Anal-
ysis, RSA) must lay within certain limits; otherwise R* has to be scaled until the base 
shear meets the requirements. The modification factor after such scaling is the effective 
modification factor  (Reff) shown in Table 1. The design spectra for these structures, both 
elastic and reduced by  Reff, are presented in Fig. 2, along with the elastic response spec-
tra of the ground motions recorded in the Greater Santiago Area on soil during the 2010 
Chile earthquake (both components). Nominal fundamental periods along each direction 
are highlighted with vertical lines. As already reported by Naeim et al. (2011), it can be 
observed that spectral ordinates of the (reduced) design spectra are generally much smaller 
than those of the recorded ground motion, but even so no damage was reported. Further 
details of the buildings analyzed in this study can be found in Ugalde and Lopez-Garcia 
(2017a, b).

Table 1  Direction-dependent building properties

Building Direction Period (s) Code reduc-
tion factor

Effective 
reduction 
factor

Design base 
shear coefficient

Wall density

R* Reff

17 stories Long 0.43 7.48 7.48 0.061 0.026
Short 1.11 9.46 3.88 0.050 0.024

26 stories Long 1.49 9.89 3.68 0.050 0.025
Short 1.73 10.13 3.17 0.050 0.024
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3  Shear wall modeling and validation

Building models were developed using the commercial software PERFORM-3D (CSI 
2016a), a structural analysis tool oriented to Performance Based Design (PBD) and cur-
rently the most commonly used for this purpose by practitioners. The software offers two 
types of elements to model shear walls: the Shear Wall element and the General Wall ele-
ment. Both are 4-node finite elements specifically formulated to model RC walls, in which 
separate layers account for vertical axial-bending interaction and in-plane horizontal con-
crete shear. Weak-axis shear and out-of-plane bending are elastically modeled. The General 
Wall element has one additional layer to model horizontal axial-bending interaction and 
two additional layers to model diagonal shear related to strut-and-tie action. The General 
Wall element is then more sophisticated, but is computationally much more demanding 
and its parameters are also much more difficult to calibrate. Therefore, the General Wall 
element is recommended only in cases where horizontal axial-bending interaction or diag-
onal shear are relevant (e.g., to model squat walls or horizontal wall segments). On the 
other hand, the Shear Wall element offers reasonable accuracy in most cases, making it 
the preferred element in most building projects. This element was adopted for the analysis 
described in this paper.

In the Shear Wall element the vertical axial-bending behavior is accounted for using 
fiber cross sections, i.e., the wall is manually meshed into several Shear Wall elements, 
each with a cross section composed of concrete and steel fibers. The latter are given in 
terms of a vertical steel ratio (Auto Size cross-section) or in terms of area and coordinates 
of each bar (Fixed Size cross-section). Alternatively, bar groups can be explicitly modeled 
using Steel Bar/Tie/Strut elements (Kolozvari et al. 2017). The latter approach is advanta-
geous to model boundary steel of walls that are not confined, such as the ones in the build-
ings analyzed in this study.

In the models, the vertical mesh is such that there are two vertical elements per story at 
locations where nonlinear response is expected, namely the underground stories and a few 
stories above grade level (2 and 5 stories in the 17- and 26-story buildings, respectively). 
Horizontal meshing was intended to set square-like elements at these stories. One vertical 
element per story was considered sufficient at all other stories, as recommended by the 
software documentation (CSI 2016b).

While PERFORM-3D documentation include guidelines on elements and analy-
sis procedures, scarce information is available for material calibration, as this requires 
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validation with experimental data. Such analysis has been presented in the literature 
along with modeling recommendations (Lowes et al. 2016; Kolozvari et al. 2017). Par-
ticularly, most of the recommendations given by Lowes et al. (2016) were implemented 
in the building models, including:

a. Concrete elastic modulus defined per ACI 318-14 (ACI 2014) as  Ec = 4700 
√

f
′

c
 (MPa 

units).
b. Concrete compression stress–strain relationship follows a YURLX envelope (trilinear 

with strength loss, Fig. 3) whose parameters are summarized in Table 2. The quantity 
�cmax is given by Eq. 1 (Paulay and Priestley 1992). Variables ρh,  fym and εhm are, respec-
tively, the volumetric ratio, the yielding strength and the strain at maximum strength of 
the confining reinforcement. Confined concrete compressive strength (f′cc) was computed 
according to Mander et al. (1988).

c. Steel stress–strain relationship follows a YURLX envelope adjusted to measured data 
(Fig. 3).

d. Shear stiffness equal to 0.1  Gc  Acv, where  Gc = 0.4  Ec as recommended by ATC (2010) 
and  Acv is the gross wall area.

e. Concrete cyclic energy factors equal to those shown in Table 3.
f. Steel energy dissipation factor equal to 0.75 and steel unloading/reloading stiffness factor 

equal to 0.5.

(1)�cmax = 0.004 + 1.4�hfyh�hm∕f
�
cc

(a) (b) (c)

Fig. 3  a General YURLX material model; b Unconfined concrete material model; c Steel material model

Table 2  Concrete compressive 
stress–strain parameters 
according to Lowes et al. (2016)

Concrete FY FU FR/FU DU(mm) DL (mm) DR (mm)

Unconfined 0.75 f ′
c

f ′
c

0.00 0.002 0.00202 0.01
Confined 0.75 f ′

cc
f ′
cc

0.20 0.004 0.00404 �cmax

Table 3  Concrete cyclic energy factors according Lowes et al. (2016)

Material state Y (yield) U (ultimate) L (loss) R (residual) X (rupture)

Energy factor 1.00 0.40 0.40 0.10 0.10
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g. Regularization of unconfined concrete envelope by reducing the compression strain 
at residual stress to the value given by Eq. 2, where unconfined crushing energy 
 Gfc = 0.0876 kN/mm and  Lelem is defined by the height of the element.

h. Regularization of confined concrete envelope by reducing the compression strain at 
residual stress to the value given by Eq. 3, where confined crushing energy  Gfcc is given 
by Eq. 4 (“cc” subindex refers to confined concrete)

i. Simplified model for steel buckling, where the steel tensile stress is reduced to its resid-
ual value when the strain at the residual stress of concrete (given by Eqs. 2 and 3) is 
reached.

Shear force–deformation relationship was modeled as elastic, perfectly plastic. Shear 
strength was computed with Eq. 5. Since most of the walls are slender with aspect ratios 
greater than 2.0 parameter αc was set equal to 0.17 (MPa units). Equation 5 was adapted 
from Eq. 18.10.4.1 of ACI 318-14 but increased by 50% to approach ultimate conditions 
(Değer et al. 2015). Variables ρt and  fy are the volumetric steel ratio and the yielding stress 
of transverse steel, respectively.

The modeling considerations previously presented were validated by reproducing the 
cyclic tests of wall specimens RW2 and TW2 reported by Thomsen and Wallace (1995). 
Figure 4 (left) shows an elevation of the wall models developed in PERFORM-3D. Both 
wall specimens have confined boundary elements whose vertical steel could be modeled 
with fibers in the Shear Wall cross section. However, for consistency with the modeling 
approach implemented to analyze the buildings (which do not have walls with confined 
boundary elements), steel at boundary elements was explicitly modeled using bar elements, 
and therefore confined concrete elements do not have steel fibers (i.e., ρ = 0). In accordance 
with the study reported in Lowes et al. (2016), the specimens were assumed to have three 
stories, the first story was modeled with two vertical elements, and each of the other sto-
ries was modeled with one element. The vertical load was applied at the top nodes of the 
models, distributed according to tributary length. PΔ effect was included. Other relevant 
parameters of the models are shown in Table 4.

In general, the global response of the walls is reasonably well predicted by the models 
(Fig. 4 center). Notably, the strength of specimen RW2 is slightly overestimated at low drift 
ratios but accurately predicted at larger displacements. Further, the strength of specimen 

(2)DR = �u = DU −
f �
c

Ec

+ 2

(

Gfc

Lelem

)

f �
c

(3)DRcc = �ucc = DUcc −
0.8f �

cc

Ec

+
5

3

(

Gfcc

Lelem

)

f �
c

(4)Gfcc = 0.0876
kN

mm
< 0.4378

kN

mm

(

f �
cc

f �
c

− 0.85

)

< 0.2189
kN

mm

(5)Vult = 1.5Vn = 1.5Acv

(

�c

√

f �
c
+ �tfy

)

Author's personal copy



 Bulletin of Earthquake Engineering

1 3

TW2 is also very well predicted by the model when the flange is in compression. However, 
when the flange is in tension the model overestimates the strength, by 24% at peak strength. 
Analytical models of specimens RW2 and TW2 developed in PERFORM-3D have already 
been presented in ATC-72 (ATC 2010), but they were calibrated differently and results 
are less accurate (e.g., in ATC-72 the strength of specimen TW2 is overestimated by 53% 
when the flange is in tension). Even so, such results are deemed reasonable in ATC-72 
given the wall geometries, loading histories, and particularly the simplified material models 

Fig. 4  Specimens RW2 (top) and TW2 (bottom): (left) Model elevation (center) Measured hysteretic 
response vs. model prediction (right) Measured concrete strain vs. model prediction

Table 4  Model parameters of specimens RW2 and TW2 and of the walls of the buildings

RW2 TW2 17-story building 26-story building

Wall width t (mm) 101.6 101.6 150 to 200 150 to 300
Concrete strength fc

′ (MPa) 43.5 41.7 26 32.5
Concrete elastic modulus E (MPa) 31,174 30,541 24,116 26,962
Mander confined ratio K 1.095 1.3 1 1
Shear modulus G (Mpa) 12,470 1222 9646 10,785
Steel yielding stress  fy (MPa) 427.5 427.5 5250 5250
Steel ultimate stress  fu (Mpa) 620.5 620.5 6840 6840
Steel ultimate strain DU (mm/mm) 0.071 0.071 0.11 0.11
Steel loss strain DL (mm/mm) 0.094 0.094 0.16 0.16
Longitudinal steel ratio ρl (%) 0.33 0.45 0.3 to 5.1 0.3 to 4.5
Transverse steel ratio ρt (%) 0.33 0.45 0.3 to 0.7  0.3 to 0.8 

Author's personal copy



Bulletin of Earthquake Engineering 

1 3

implemented in PERFORM-3D. More sophisticated models of specimens RW2 and TW2 
developed with research-oriented software (Orakcal and Wallace 2006) give results that are 
only slightly more accurate than those shown in Fig. 4 (e.g., the strength of specimen TW2 
is overestimated by 19% when the flange is in tension). Larger differences, on the other 
hand, are observed in local response quantities, e.g., concrete strains at the base of the 
walls (Fig. 4, right) measured with Deformation Gage elements at the base nodes. While 
the models predict well the experimental measurements at the center of the web, strains at 
the boundaries are overestimated in tension (34% on average) and underestimated in com-
pression (54% on average). Again, the largest differences are observed in specimen TW2 
when the flange is in tension. It must be noticed that the models assume constant strains 
between the end nodes of the Deformation Gage elements (located in this case between the 
base and mid-height of the first story), while actual strain gages implemented in the tests 
have much shorter spans.

Despite the limitations described in the former paragraph and despite other limitations 
as well (i.e., the lack of shear-flexure interaction, Kolozvari and Wallace 2016), results 
shown in Fig. 4 indicate that the Shear Wall element of PERFORM-3D is accurate enough 
for the purposes of this study. It is important to note that the “PERFORM-3D + Shear Wall 
element” modeling approach is possibly the most used of the few options currently avail-
able to perform nonlinear response history analyses of full 3D models of RC shear wall 
buildings.

4  Model implementation

The buildings presented in Sect. 2 were modeled in PERFORM-3D using the previously 
described model for the shear walls. This approach required identification of the dimen-
sions and steel reinforcement of all walls in order to define the Shear Wall compound sec-
tions (it is recalled that this element is composed of one layer for vertical axial-bending 
and another layer for shear). In actual buildings like the ones considered in this study, the 
number of combinations of thickness, longitudinal steel ratio and transverse steel ratio is 
very large, which lead to numerous different Shear Wall compound sections whose defini-
tion and assignation to the model is cumbersome. Thus, longitudinal (web only) and trans-
verse steel ratios were rounded to the third decimal number, e.g., two different walls having 
longitudinal web steel ratios (ρl in Fig. 4) equal to 0.0028 and 0.0032 were both modeled 
with ρl = 0.003. Results given by a separate sensitivity analysis (not shown here for brevity) 
confirmed that the effects of such rounding are negligible. It is emphasized that only the 
web steel ratios (i.e., longitudinal and transverse) were rounded, areas of boundary steel 
were not. Even with this simplification, 53 different Shear Wall compound sections were 
required for the 17-story building, and 77 for the 26-story building. Once regularization of 
concrete material in compression was included, the number of Shear Wall compound sec-
tions increased to 62 and 91, respectively.

Three-dimensional views of the building models are shown in Fig. 5, where it can be 
observed that all boundary steel bars were explicitly modeled. Figure 5 also shows an ele-
vation of a resisting plane of each building to emphasize the finer vertical mesh in bottom-
most stories, where 2 vertical elements per story were defined. Notice that the 26-story 
building has a podium (i.e., wider basement levels), which is intended for parking and stor-
age units.
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Concrete beams were modeled using elastic frame elements with concentrated plas-
ticity, i.e. moment–curvature hinges, located at a distance  Lp/2 from each end, where 
 Lp is the length assigned to the hinge (Fig. 6a). Concrete columns, whose behavior is 
affected by axial load variation, were modeled using elastic frame elements with plas-
ticity distributed along a distance  Lp from each end, to which a fiber cross-section was 
assigned (Fig.  6b). For both beams and columns the length of the plastic hinge  (Lp) 
was computed according to Priestley and Park (1987). Slabs were modeled using linear 
elastic area elements whose moment of inertia was reduced by 75% to account for stiff-
ness reduction due to concrete cracking (ACI 2014). Rigid diaphragm constraints were 
included to reduce the number of degrees of freedom and, consequently, to reduce the 
computational cost.

Gravity loads and mass properties were modeled as concentrated loads and lumped 
nodal masses, respectively, and their values were set based on tributary areas. Following 
recommendations for PBD (LATBSDC 2015), the gravity loads include 100% of dead 
load and 25% of live load. On the other hand, seismic weight includes only the mass 
from dead load, i.e. live load was excluded from mass calculation (LATBSDC 2015; 
ASCE 2017). The models include PΔ effect in walls and columns. In the models, some 
features of the actual floor layouts were slightly modified in order to simplify the struc-
tural models and computation of member capacities (for instance, walls having slightly 
separated parallel axes were assumed coaxial). Modified floor layouts are shown later in 
Fig. 10.

(a)     (b)

Steel bar/Strut/Tie elements

Shear wall elements

two 
vertical

elements
per

story

grade

two 
vertical

elements
per

story

level
grade

level

Fig. 5  Three-dimensional view and plane elevation of models of the a 17-story building and the b 26-story 
building

(a) (b)

linear elastic frame element

curvature type moment hinge
with length = Lp

L  /2p
linear elastic frame element

fiber cross-section frame element

L  /2p L  p L  p

Fig. 6  Modeling approach for a beams and b columns
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For concrete material, expected compressive strength was taken as 1.3 times the nom-
inal strength (LATBSDC 2015) whereas the steel backbone curve was adjusted to match 
experimental test data of typical Chilean reinforcing bars available elsewhere (Alarcon 
2013), which indicate yielding stresses 25% larger than the nominal value. These and 
other relevant material properties are listed in Table 4. Ground supports were modeled 
using elastic nonlinear compression-only springs (denoted Nonlinear Elastic Gap-Hook 
Bar elements in PERFORM-3D) in order to capture possible foundation uplift, as the 
shallow RC footings of the buildings were not designed to carry tension forces. Com-
pression stiffness of these nonlinear springs was set equal to the foundation area times 
the modulus of subgrade reaction.

Modal damping was set equal to 2% for all modes. Besides, following recommendations 
given by the software documentation (CSI 2016c) a small amount of Rayleigh damping 
was provided in order to prevent undamped higher mode displacements. Thus Rayleigh 
damping was set equal to 0.1% at 0.2  T1 and at 1.5  T1 where  T1 is the first (elastic) mode 
period. These period values are recommended by Deierlein et al. (2010). With this damp-
ing model total damping remains below 2.3% in all the computed modes, i.e. below the 
maximum value of 2.5% stablished by ASCE (2017).

5  Incremental static (pushover) analysis

In order to evaluate their nonlinear response, the building models considered in this study 
were subjected to incremental static (pushover) analysis. The procedure was performed 
along both principal directions (short and long) following a lateral load distribution based 
on the first mode (i.e., the mode with the largest modal mass) along each direction. The 
pushover data was used to compute the overstrength (Ω) of the buildings. This parameter 
is defined as the ratio of the maximum lateral force reached during the analysis  (Vmax) 
over the design base shear  (Vd), computed using the effective reduced spectrum of NCh433 
(Eq. 6). The overstrength is a measure of the capacity of a structure beyond that required 
by code specifications, and thus it is a quantitative descriptor of the structural behavior that 
can be realistically expected under a given earthquake scenario.

The pushover curve and the overstrength of the models that include all the features 
described in Sects. 3 and 4 are presented in Table 5 and Fig. 7 as model M1 = Fully non-
linear model. In these plots lateral forces are normalized by the seismic weight above the 
horizontal plane where the maximum and minimum base shear requirements were verified. 
This horizontal plane is located at the base of the 17-story building and at the grade level 
of the 26-story building. Roof drift ratio is measured from this horizontal plane up to the 
top concrete diaphragm. Buildings were pushed in 300 steps up to a roof drift ratio of 3% 
or until lack of convergence after 3000 nonlinear iterations, whichever occurred first.

Figure 7 shows that in its short direction the 17-story building reaches a maximum 
strength equal to approximately 15% of the seismic weight, leading to an overstrength 
value of 3.11. This value is close to the 3.5 value reported for a similar 15-story build-
ing in Chile (Restrepo et  al. 2017). On the other hand, the response of the 17-story 
building in the long direction does not exhibit strength degradation, and maximum 
strength is reached at a very large lateral displacement. A sharp stiffness degradation, 

(6)Ω =
Vmax

Vd
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however, is observed at a strength level roughly equal to 40% of the seismic weight. 
This large strength value is then assumed equal to the maximum strength and is used 
to compute the overstrength (= 6.34), which turned out to be much larger than that in 
the short direction because of the significant difference between horizontal dimensions 
(and therefore between lateral stiffness as well). In the case of the 26-story building, 
whose short and long directions are quite similar to each other, the response in both 
directions reaches a maximum strength of approximately 10% of the seismic weight, 
leading to similar overstrength values (2.03 and 2.12, respectively). The trends observed 
in these results, and also in those corresponding to the Chilean building analyzed by 
Restrepo et al. (2017), are consistent with those reported in several previous studies in 
the sense that overstrength decreases with increasing height (Jain and Navin 1995) and 
with increasing fundamental period (Humar and Rahgozar 1996). The 17- and 26-story 
buildings reach their maximum strength at a roof drift ratio that varies between 0.6 
and 1.0%, and at that point the tangent stiffness is substantially smaller than the initial 
stiffness.

It was found that slabs between closely spaced walls are subjected to relatively large 
bending moment demands, which in turn is indicative of outrigger action (further evi-
dence will be shown later, when describing results given by a model in which slabs are 
not included). Upon examination it was found that the bending moment demands on slabs 
exceed the capacity only at a very few locations (at less than 1% of the slab elements in 
each model).

The pushover analysis was also used to evaluate the influence of specific modeling 
issues on the global response. For this, series of additional pushover analyses were per-
formed. In each additional analysis a single modeling issue was removed or modified from 
the reference model M1. The resulting models, denoted modified models, are summarized 
in Table 5 along with the corresponding modeling issue not accounted for. The pushover 
curves and overstrength values of each modified model are shown in Fig. 7 and summa-
rized in Table 6. For comparison purposes, the pushover curve and overstrength value of 
the reference model M1 are shown as well. Since this paper deals with undamaged build-
ings, the analysis presented below focuses on the response up to maximum strength. The 
modified models and their corresponding modeling issues are:

Table 5  Identification of modeling issues not included in the modified models

Modelling feature not included Model ID

M1 M2 M3 M4 M5 M6 M7 M8 M9 M10

Nonlinear soil structure interaction X
Soil flexibility X
PΔ effect X
Bar buckling X
Nonlinearity in frame elements X
Shear capacity X
Effective shear stiffness X
Material regularization X
Slab elements X
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• M2 Nonlinear soil-structure interaction: in these models the elastic nonlinear, com-
pression-only support springs are replaced by linearly elastic springs (denoted Sup-
port Spring elements in PERFORM-3D) that do take tensile forces. In the case of the 
17-story building this model leads to a strength along the short direction that is 18% 
larger than that of the reference model. In the other cases, however, no significant 
changes are observed, most likely because of the large dimension of the 17-story build-
ing along its long direction and because of the podium of the 26-story building, which 
increases overturning stability and reduces possible foundation uplift.

• M3 Soil flexibility: in these models the elastic nonlinear, compression-only support 
springs are replaced by fixed supports that restrain displacements and rotations in all 
directions. Differences with respect to the reference model are quite similar to those 
corresponding to model M2, i.e., there is an increase in the strength of the 17-story 
building (15%) along the short direction and very small variations in the other cases, 
suggesting that overturning stability reduces the relevance of soil-structure interaction.

• M4 PΔ effect: in these models the nonlinear geometric transformations for small defor-
mations, i.e., the PΔ effect, is omitted. Thus all the elements use linear geometric trans-
formations, and nonlinear behavior is due only to material nonlinearity. The analyses 
show that PΔ effect slightly reduces the strength, up to 4% in the 17-story building, 
and up to 7% in the 26-story building (Fig. 5). The influence of PΔ effect is even less at 
displacement levels smaller than that at maximum strength, suggesting that geometric 
nonlinearity has a very modest effect in stiff buildings such as the ones considered in 
this study.
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Fig. 7  Pushover response of the reference model (M1) and the modified models (M2-M10)
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• M5 Bar buckling: in these models the compression strength of steel was not reduced to 
account for bar buckling. Instead, the steel constitutive relationship is symmetric and 
based on rebar tensile tests. The pushover curves of these models are virtually identical 
to those of the reference models up to large displacements levels, indicating that bar 
buckling (at least in the context of the simplified approach used herein) has a negligible 
effect on the stiffness and strength of the buildings.

• M6 Nonlinearity in frame elements: in these models the inelastic features in beams and 
columns (Fig. 6) were removed and these members were modeled using linearly elastic 
frame elements. This simplification turned out to be relevant only along the long direc-
tion of the 17-story building, in which case leads to a significant increase in stiffness 
at strength levels greater than 20% of the seismic weight. In the other three cases it is 
relevant only after maximum strength is attained. (it must be noticed that in these three 
latter cases the maximum strength is less than 20% of the seismic weight). The lack of 
relevance of inelastic deformations in beams and columns at relatively low strength lev-
els was somehow expected because most of the lateral forces are carried by the walls.

• M7 Shear capacity: in these models the elastic-perfectly plastic constitutive relation-
ship for shear in walls was replaced by a linearly elastic relationship whose stiffness 
is equal to the initial (elastic) stiffness of the nonlinear relationship. In both buildings 
these models result in a slight increase of strength (around 5%) in the long direction 
but do not cause appreciable differences (with respect to the reference models) in the 
short direction. These observations suggest that the seismic response of the walls of the 
buildings under study is dominated by axial-flexure rather than by shear.

• M8 Effective shear stiffness: in these models the shear stiffness is equal to 0.4  Ec  Acv 
(i.e., it is not reduced) rather than equal to just 10% of 0.4  Ec  Acv as in the reference 
models M1 (Sect.  3). The reduction of the shear stiffness adopted in the reference 
models is recommended by ATC (2010) on the basis that the shear stiffness computed 
assuming isotropic conditions greatly overestimates the actual stiffness of cracked RC 
walls. Similar recommendations for stiffness reductions can be found in the literature 
(Gerin and Adebar 2004; Powell 2007; Değer et al. 2015) but they are often omitted 
in practice. Results indicate that unreduced shear stiffness leads to a significant over-
estimation of global stiffness. It must be noted, however, that the actual shear stiffness 
most likely degrades progressively as cracks develop, evolving from a value similar to 
that based on the gross cross-section properties at low deformation levels to a relatively 
small (effective) value at maximum strength. In other words the actual pushover curve 
probably evolves progressively from that of model M8 to that of model M1 as lateral 
displacements increase. In any case these results clearly indicate that shear stiffness is 
definitely relevant even in buildings like the ones considered in this study whose walls 
are slender and the contribution of shear deformations is expected to be small, and even 

Table 6  Overstrength values for the reference model (M1) and the modified models (M2–M10)

Building Direction Overstrength (Ω)

M1 M2 M3 M4 M5 M6 M7 M8 M9 M10

17-story Short 3.11 3.66 3.58 3.22 3.11 3.22 3.12 3.23 3.31 1.84
Long 6.34 6.69 6.31 6.53 6.35 7.06 6.68 5.27 6.48 2.57

26-story Short 2.03 2.03 2.00 2.18 2.04 2.07 2.01 2.31 2.11 1.04
Long 2.12 2.11 2.00 2.23 2.12 2.16 2.20 2.21 2.20 1.32
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when the displacement demand is smaller than that at maximum strength (i.e., even 
when there is no significant incursion into the inelastic range).

• M9 Material Regularization: in these models the compressive constitutive relationship 
of concrete was not regularized to account for mesh sensitivity (regularization is not 
common in practice). Results indicate that the maximum strength is overestimated by 
2–6% when regularization is not included, while the lateral stiffness is not affected. 
Larger differences are observed in the descending branch of the pushover curves. 
This result was somehow expected because regularization affects only the descending 
branch of the compressive constitutive relationship of concrete.

• M10 Slab elements: in these models the elastic slab elements were removed, leaving 
only a rigid diaphragm constraint to account for in-plane slab stiffness (slab self-weight 
was modeled as nodal loads). This is a common approach in practice because explicit 
modeling of slabs highly increases the computational cost. As it can be observed in 
Fig. 7 this modification has by far the largest impact on the pushover curves as stiff-
ness and strength are drastically reduced when the slabs are removed. It is recalled that 
the flexural stiffness of the slabs in the M1 reference models is relatively very low to 
account for cracking (equal to just 25% of the gross cross-section stiffness), hence even 
so the slabs greatly influence the global response, most likely by coupling the walls to 
each other. Qualitatively, the relevance of the slabs in the type of buildings analyzed in 
this study (i.e., typical Chilean multistory residential buildings having a seismic force-
resisting system made up exclusively of RC shear walls) has already been mentioned in 
Zhang et al. (2017) and in Restrepo et al. (2017). The analyses performed in this study 
provide a clear quantitative measure of such relevance, which turned out to be much 
larger than expected.

6  Response history analysis

The fully nonlinear models M1 were subjected to Response History Analysis (RHA) to 
study the seismic performance of the 17- and 26-story buildings. RHA was also performed 
in models M2 (i.e., omission of nonlinear soil-structure interaction) because results given 
by previous RHA of linearly elastic models of the superstructure (Ugalde and Lopez-Gar-
cia 2017b) suggested that foundation uplift could significantly affect the seismic demands 
on the walls. The models were simultaneously subjected to both horizontal components of 
the ground motion recorded at the Santiago Centro station during the 2010 Chile Earth-
quake (Table  7). This station is located nearby the buildings in similar soil conditions 
according to data reported by Kayen et al. (2014). The horizontal components of the record 
were applied in the principal directions of the buildings according to their approximate 
geographic orientation (Fig. 1), i.e. the North–South component was applied in the long 
direction of the 17-story building and in the short direction of the 26-story building. PER-
FORM-3D uses the step-by-step constant-average-acceleration time integration method 
(Newmark 1959), which is unconditionally stable. When this method is applied to multi 
degree-of-freedom structures the time step should be smaller than the period of the high-
est mode that significantly contributes to the response divided by 12 in order to obtain 
sufficient accuracy. Thus, the time step for all the analyses was set equal to 0.01 s, which 
satisfies the previous recommendation. In any case this time step was in many instances 
reduced even further as the event-to-event solution strategy implemented in PERFORM-
3D automatically reduces the time step wherever there is a nonlinear event, i.e., a change in 
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stiffness. Due to the large size of the models the maximum number of nonlinear events per 
time step was set equal to 500, and while the output of the analyses indicates that the vast 
majority of the steps were solved with less than 250 sub-divisions (nonlinear events) a few 
time steps needed up to 473.

Figure 8 shows a portion of the roof drift response history to emphasize the comparison 
between models M1 and M2 around the time of maximum response. Notice that the differ-
ence between the response of the models is modest as their curves technically overlap each 
other. This result is consistent with the static analyses as the pushover curves of models M1 
and M2 also overlap at roof drift ratios similar to those given by RHA (the maximum val-
ues of the latter are highlighted in Fig. 8). Besides, at these levels of roof drift ratios (i.e., 
less than 0.4% in all cases) the pushover curves indicate little stiffness degradation, which 
is consistent with the empirically observed lack of damage.

Although the difference between the roof displacement response of the models with 
(M1) and without (M2) nonlinear soil-structure interaction is negligible (Fig.  8), results 
given by models M1 indicate that significant foundation uplift does occur at some sup-
port joints, particularly in the 17-story model. Figure 9a shows the peak upwards vertical 
displacement of each support joint during the RHA. Notice that model M1 gives uplift 
values as large as 60 mm, which are drastically reduced when the support springs are linear 
(model M2). A similar comparison is presented in Fig. 9b in terms of the corresponding 
vertical reactions, which show unrealistically large tensile forces given by model M2.

PBD guidelines offer some criteria to assess the seismic performance by means of drift 
ratios. For instance ASCE 41-13 (ASCE 2014) establishes that at immediate occupancy 
walls do not exceed a 0.4% drift ratio, whereas LATBSDC (2015) establishes, indistinctly, a 
maximum drift ratio of 0.5% for performance acceptance. These requirements are expressed 
in terms of total inter-story drift ratios, which could be substantially different from roof drift 
ratios like those indicated in Figs.  7 and 8. Thus, six walls in each building, distributed 
along the floor plan and oriented in both directions (Fig. 10), were selected to evaluate total 
inter-story drift ratios. This quantity is defined as the horizontal displacement between two 
vertically aligned joints at consecutive floors (Fig. 10c) divided by the (undeformed) vertical 
distance between the same joints. Total inter-story drift ratio, which is the quantity typi-
cally addressed in design codes, has a component due to panel distortion (shear and flexural 
deformations) and another component due to rigid body rotation, which is not expected to 
produce damage in walls. Then, an additional evaluation was performed using the tangential 
drift (ATC 1996) which, rather than horizontal displacement, considers the displacement 
perpendicular to the wall slope (Fig. 10c). Tangential drift accounts only for shear and flex-
ural deformations, which are related to wall damage, and is a better indicator of structural 
performance in mid- to high-rise buildings (FIB 2003). However, tangential drift calculation 
requires more input data than the total drift, and is usually omitted in design guidelines.

Table 7  Properties of the ground 
motion used in RHA

Station name Santiago Centro

Soil type II
PGA North–South 0.21 g
PGA East–West 0.31 g
Record duration 140 s
Distance to 17-story building 4.8 km
Distance to 26-story building 9.1 km
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Peak values of total and tangential inter-story drift ratios at each story of the selected 
walls are presented in Fig. 11 (peak values at different stories do not necessarily occur at 
the same time). Only results of models M1 are included. At each wall, interstory drifts were 
measured along the horizontal direction parallel to the web of the wall, which is aligned to 
the wall label in Fig. 10. Results in terms of total drift ratios indicate that 67% of the walls 
exceed the ASCE 41-13 limit and 42% also exceed the LATBSDC limit, which would be 
typically associated with some degree of damage. Notice, however, that tangential drifts 
are quite smaller and rarely exceed 0.2%. It is acknowledged that total interstory drift lim-
its are intended for other purposes such as to control chord rotation in beams and to limit 
non-structural damage, which could be left unattended if limits were expressed in terms of 
tangential interstory drift. However, in a post-earthquake evaluation scenario (rather than 
in a design scenario) the tangential interstory drift ratio is a much better indicator of dam-
age, and results shown in Fig. 11 are definitely consistent with the observed lack of damage 
in the buildings.

A similar analysis is presented in Fig. 12, which shows the peak compression and ten-
sion strains at the two Steel Bar/Strut/Tie elements used to model the boundary steel of 
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each selected wall. The strain at the onset of strength loss of unconfined concrete and the 
yielding strain of a 420 MPa grade steel (both equal to 0.2%) are presented as limit values. 
Notice that according to this local response little damage (if any at all) is expected as strain 
values remain below the established limits. It is recalled that according to the validation 
analysis presented in Sect. 3 the modeling approach adopted in this study, on average, over-
estimates the tension strains by 34% and underestimates the compression strains by 54%. 
These values can be used to “correct” (i.e., to calculate a more realistic estimation of) the 
strain curves, and the “corrected” values are also presented in Fig. 12. In doing so con-
crete strains become close to that at the onset of strength loss in several walls but exceed 
the limit value in only one wall (W11). However, considering that compression strains 
decrease along the web, such exceedance affects only the fibers at the end of the wall and 
hardly translates into noticeable damage.

Finally, the peak demand/capacity (D/C) ratios for axial-bending and shear at the most 
demanded story of the selected walls were computed using results given by models M1 and 
M2. The axial-bending D/C ratios were computed according to the graphical approach pre-
sented in the interaction diagram of Fig. 13a, i.e., demands and capacities were not meas-
ured from the unloaded condition but from the internal forces due only to gravity loads. 
For consistency, shear D/C ratios were computed in the same way. In order to account 
for the non-rectangular cross-section of the walls, the interaction diagrams were obtained 
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through series of moment–curvature analyses using fiber cross-sections defined in Open-
Sees (McKenna et al. 2000). Shear capacity was computed according to Chapters 11 and 
18 of ACI 318-14, and such capacity was amplified by 1.5 to account for ultimate condi-
tions (Değer et  al. 2015). Both axial-bending and shear analyses used expected material 
properties (Table 4) and strength reduction factor (ϕ) equal to 1.0. Results are presented in 
Fig. 13b. Notice that no relevant difference is observed between the D/C ratios of models 
M1 and M2, confirming the modest effect of foundation uplift on the response of the build-
ings. All shear D/C ratios are less than unity (by a wide margin in the 26-story building), 
which is consistent with the lack of relevance of the shear capacity already observed in 
pushover analysis (model M7). On the other hand, larger D/C ratios are observed in axial-
bending behavior, particularly in the 26-story building where the capacity is exceeded in 
two walls (W7 and W12). The interaction diagrams of these walls and the correspond-
ing demand histories are presented in Fig. 13c, where it can be observed that there is one 
incursion outside the capacity diagram in wall W7 and two very subtle incursions in wall 
W12. It must be kept in mind, however, that according to the validation analysis presented 
in Sect. 3 the wall model adopted in this study might overestimate the bending moment 
demand up to 24%. Further, the incursions occur at the lower bound of the interaction dia-
gram where a ductile failure is expected due to steel yielding, specifically at the unflanged 
end of these walls. Thus, in the real structure it is possible that steel bars at this location 
actually yielded but the tension cracks eventually closed and were not noticeable after the 
earthquake, as it has been observed in shake-table test of walls (Panagiotou et al. 2010).

7  Evaluation of the effect of stiffness degradation on the seismic 
performance

In the former section it was found that results given by RHA of fully nonlinear models are 
essentially consistent with the empirically observed lack of damage. When stiffness degra-
dation (even at relatively low levels of roof drift ratio) is taken into account to determine 
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the dynamic properties of the buildings, more qualitative insight into the reasons for the 
lack of observable damage can be obtained by comparing seismic demands and capacities 
in terms of Acceleration-Displacement Response Spectra (ADRS).

The pushover curves shown in Fig. 7 (reference models M1) were converted into capac-
ity spectra using the following equations (ATC 1996):

where Sa = pseudo-acceleration, V = base shear, α1 = first mode mass coefficient, Sd = spec-
tral displacement, uroof = lateral roof displacement, Γ1 = first mode participation factor and 
ϕ1,roof = first mode ordinate at the roof level. The resulting capacity spectra in the short 
direction (critical, particularly in the 17-story building) are shown in Fig. 14 along with 
the same elastic response spectra already shown in Fig. 2 (recorded ground motions). The 
response spectrum of the short-direction component of the record used in RHA (Sect. 6) 
is highlighted in red color. Strictly speaking, the point at the intersection of the capacity 
spectrum and the response spectrum is not really the performance point because at such 
point the capacity spectrum is not strictly linear any more. However, such point is located 
well before the point at maximum strength of the capacity spectrum, which means that 
the level of ductility at the intersection point must be very low (if any at all). Therefore, 
the intersection point is assumed as a very good approximation of the actual performance 
point.

Consistent with results given by RHA, Fig.  14 clearly shows that at the performance 
point the demand imposed by the Santiago Centro record is less than the capacity (i.e., 
peak strength) of the buildings. Further, the same can be said about the demands imposed 
by the other records. At the performance point of the Santiago Centro record the effec-
tive period (i.e., the one based on secant stiffness) is equal to 1.85  s (17-story building) 
and 2.49 s (26-story building). These periods roughly coincide with the periods than can 
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be inferred from the roof displacement responses (short direction) shown in Fig. 8. The 
effective periods are substantially larger than the nominal periods reported in Table 1 and 
shown in Fig. 2. The nominal periods are the ones that were considered in the actual design 
of the buildings (i.e., the ones with which the design seismic loads were determined), and 
were calculated following the standard practice in Chile. They were obtained from linearly 
elastic 3D models in which shear and bending stiffness of all members are based on gross 
cross-section properties, walls and slabs were modeled with shell elements, and diaphragm 
constraints were incorporated at each floor level. Such practice is believed to be conserva-
tive, and is widely adopted because of simplicity and also because effective stiffness prop-
erties are not considered in the local seismic design codes. Pseudo-acceleration ordinates at 
the nominal periods are equal to 0.29 g (17-story buildings) and 0.18 g (26-story building), 
but at the effective periods are significantly smaller, 0.11 g and 0.12 g, respectively. Hence, 
the significant amount of stiffness degradation even at a displacement level smaller than 
that at peak strength leads to significant period elongation, which in turn leads to demands 
that are substantially smaller than those at the nominal periods.

8  Concluding discussion

Two existing RC shear wall buildings of 17 and 26 stories representative of Chilean resi-
dential buildings were analyzed using fully nonlinear finite element models, i.e., models in 
which a nonlinear concrete material model is adopted and other nonlinear features (such as 
the nonlinear behavior of reinforcement bars and PΔ effects) are also accounted for. The 
buildings are located in Santiago, Chile and have a large number of walls to carry seis-
mic and gravity loads. Although the ground accelerations recorded during the 2010 Chile 
Earthquake widely exceeded the code-specified design spectra, the buildings did not suffer 
observable damage, suggesting (at least in principle) that their response was essentially 
linear. However, in former studies that considered linear models of the buildings (Ugalde 
and Lopez-Garcia 2017a, b) the seismic demands were found larger than the capacity. 
Only when foundation uplift was accounted for using a nonlinear soil-structure interac-
tion model, the seismic demands did not exceed the capacity. However, no evidence of 
foundation uplift was observed in the buildings analyzed in this study after the 2010 Chile 
earthquake, and very little evidence was observed elsewhere after this earthquake. This 

  0.00   0.10   0.20   0.30   0.40   0.50
S    [m]d

  0.00

  0.05

  0.10

  0.15

  0.20

  0.25

S
a
 [g

]

17-story building

  0.00   0.10   0.20   0.30   0.40   0.50
  0.00

  0.05

  0.10

  0.15

  0.20

  0.25
26-story building

S    [m]d

M1 (short direction)
Santiago Centro record
Other records in Santiago City

Fig. 14  Comparison between capacity and response spectra in ADRS format

Author's personal copy



 Bulletin of Earthquake Engineering

1 3

inconsistencies between analytical results and empirical evidence were the main motiva-
tion for the study described in this paper.

The buildings were modeled using the structural analysis computer program PER-
FORM-3D. Shear walls were modeled using Shear Wall and Steel Bar/Strut/Tie ele-
ments calibrated according to recommendations available in the literature. The modeling 
approach adopted in this study was validated through comparisons with results experimen-
tally obtained from a cyclic static test conducted on isolated wall specimens. A good match 
was found in terms of force–displacement hysteretic cycles but strains were predicted with 
a lesser degree of accuracy.

Incremental static (pushover) analyses were performed first. The overstrength of the 
17-story building was found roughly equal to 3 and 6 in the short and long directions, 
respectively, and the overstrength of the 26-story building was found roughly equal to 2 
in both directions. In all cases the maximum strength is attained at a roof drift ratio that 
varies between 0.6 and 1.0%. The influence of soil-structure interaction was found relevant 
only in the short direction of the 17-story building. In this case the pushover curve of the 
model that accounts for nonlinear soil-structure interaction deviates from that of the model 
that considers fixed support conditions at a roof drift ratio roughly equal to 0.2%, and devi-
ates from that of the model that considers linear soil-structure interaction at a roof drift 
ratio roughly equal to 0.4%. In all other cases the influence of soil-structure interaction was 
found negligible at roof drift ratios that are smaller than that at maximum strength.

Response History Analysis (RHA) was performed considering a ground motion recorded 
during the 2010 Chile earthquake in Santiago. In terms of global response, peak roof drift 
ratios were found in all cases less than 0.4%, well below the values at maximum strength 
obtained from pushover analysis. Also consistent with pushover analysis, the roof drift ratio 
response was found essentially insensitive to soil-structure interaction, even though the model 
that considers nonlinear soil-structure interaction indicates considerable uplift levels (up to 
60 mm). In terms of local response, the total inter-story drift deformation was found to take 
considerable values at some walls, especially at the upper stories where the limits established 
by ASCE 41-13 and LATBSDC were in some cases exceeded. This is not consistent neither 
with the lack of observable damage nor with the expected location of peak demands on walls 
in multi-story buildings (typically the first few stories above the grade level). This seems 
to indicate that the total inter-story drift deformation is not really an appropriate parameter 
to evaluate the seismic performance of slender walls. Values of tangential inter-story drift 
deformation, on the other hand, were found to take values that are smaller than the estab-
lished limits, which is indeed consistent with the lack of observable damage in the buildings 
analyzed in this paper. Further, the tangential inter-story drift deformation was indeed found 
to take its maximum value at the grade level. These results indicate that in fact the tangential 
inter-story drift deformation relates much better with seismic damage (or lack of) in slender 
walls, and therefore it should be considered for accurate assessments of the seismic demand 
on tall RC wall buildings. While shear demands were found smaller than the capacity, axial-
flexural demands and strains at wall boundaries do take values slightly greater than that at 
onset of damage at a few locations. Such demands, however, seem to affect only the bound-
ary of a few walls and are deemed unlikely to produce visible damage. Hence, in general it is 
concluded that results given by the nonlinear models considered in this study are consistent 
with the observed lack of damage, hence nonlinear concrete material models are indeed nec-
essary for the analysis of RC shear wall buildings even in the absence of observable dam-
age. It was also found that the strength of the buildings considered in this study is such that 
they might withstand earthquakes somewhat greater than the 2010 Chile earthquake without 
significant damage. It is noticed, though, that the models also reveal that foundation uplift 
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is indeed possible, and even though uplift does not seem to significantly affect the seismic 
response it nevertheless deserves further study.

The pushover curves were converted into capacity spectra. The performance point con-
sistent with the response to the 2010 Chile earthquake was assumed equal to the point at 
the intersection of the capacity spectrum and the response spectrum of the same recorded 
ground motion used in RHA (both plotted in ADRS format). The effective periods (i.e., 
based on secant stiffness) at the performance point turned out to be significantly longer 
than the nominal periods considered for design, and at such long periods it was found that 
the strength of the buildings (including overstrength) is in fact larger than the demand 
imposed by the 2010 Chile earthquake. Hence the main motivation for this study (i.e., lack 
of observable damage despite demands larger than capacities) turned out to be not really 
true at the effective periods consistent with the response to the 2010 Chile earthquake. 
Effective periods longer than the nominal were certainly expected, but not as long as those 
found in this study. Future research on this issue should obviously include data from build-
ing instrumentation to quantify this finding with greater precision.

Pushover analyses were also performed to analyze the influence of several modeling 
issues. It was found that PΔ effect, bar buckling, inelastic deformations in beams and col-
umns, nonlinear constitutive law for shear (elastic perfectly plastic for this study) and regu-
larization of the concrete material model do not seem to be relevant to the seismic analysis 
of undamaged RC shear wall buildings having a large number of walls such as the ones 
considered in this study. However, two modeling issues were indeed found to have a con-
siderable influence on the analysis (even in the absence of damage) and are deemed worthy 
of further research. The first issue is the shear stiffness of the walls, which was found to 
be relevant even when the walls are slender and subjected to demands that are well below 
the full strength. The value of shear stiffness adopted in this study (10% of the gross cross-
section stiffness) is the value recommended in the literature for the analysis of damaged 
structures. Further research is needed to accurately determine the actual effective shear 
stiffness at relatively low deformation levels. The second issue is the influence of the slabs. 
The response of the models in which the slabs are explicitly modeled (even with an effec-
tive flexural stiffness that is 25% of that of the gross cross-section) is vastly different from 
those in which the slabs are not explicitly modeled and only a rigid diaphragm constraint is 
imposed. The quantitative differences shown in this study are much larger than the differ-
ences qualitatively suggested in former studies. For the class of buildings analyzed in this 
study (i.e., lateral force-resisting system made up of a large number of RC shear walls hav-
ing intricate C, L, and T shapes) further research on this issue was found essential.
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